Abstract. In a decision-making framework within the context of performance-based design
INTRODUCTION
In the context of performance-based design, several performance objectives (e.g., minimize initial cost of construction, ensure life-safety in case of extreme and rare events) can be considered for a set of discrete limit states. In order to implement the performance objectives in a decision making framework, it is desirable to quantify and measure these objectives in terms of a common benchmark variable. The life-cycle cost has been proposed by many researchers (see e.g. [1] [2] [3] [4] [5] [6] [7] ) as a suitable benchmark performance variable. Life-cycle cost, which is historically identified as an economic term expressed in monetary units, accounts for initial costs of construction of facility, the regular costs of its maintenance and its functionality over time, loss of revenue in case of damage, re-pair / replacement costs, social losses including eventual loss of life and end-of-life recycling costs. The evaluation of life-cycle cost is subjected to several sources of uncertainty, such as the occurrence and the intensity of future earthquake events, the structural resistance and the service life itself. Life-cycle cost is generally evaluated in terms of its expected value over the life-time of the infrastructure.
The present study aims to apply the life-cycle cost criteria to retrofit design of an existing reinforced concrete (RC) bridge with simply-supported decks built in the 1970s and located in the Campania Region, south Italy. The retrofit design involves decision making between a set of viable options which can be evaluated and compared in terms of their corresponding lifecycle cost and subjected to reliability constraints. In particular, for each upgrade option, the corresponding life-cycle cost is evaluated by calculating in monetary terms, the direct cost of the installation of the upgrade solution, the maintenance cost of the upgraded system, the repair/replacement costs in case of damage. After the low-cost option is identified among the set of retrofit schemes, the structural reliability for the corresponding upgraded infrastructure needs to be verified against an acceptable threshold.
The methodology for calculating the life-cycle cost takes into account the time-varying profile of the probability of exceeding a set of structural limit states. Thus, in the first step, a procedure is proposed for calculating the time-dependent probability of exceeding different structural limit states given a sequence of major seismic events. It takes advantage of a recently developed framework by the authors which was proposed for post-mainshock risk assessment [8] [9] [10] . Later, a closed-and analytic-form approximation to the time-dependent limit state probability is derived (see also [10] ). The calculated time-dependent limit state probabilities based on the closed-form expression are then used in order to estimate the expected life-cycle cost for each retrofit option considered.
For the simplicity of calculations, the three-dimensional (3D) model of the case-study bridge is subjected to ground motions in its longitudinal direction. Five alternative schemes are adopted for rehabilitation of the bridge. They aim mainly at improving the global behavior of bridge deck by using friction pendulum isolators and/or force the deck to have a uniform displacement along its longitudinal direction. The optimal solution is highlighted based on the minimization of the life cycle cost satisfying the acceptable reliability-based criteria.
METHODOLOGY
The objective of this methodology is to evaluate the expected life-cycle cost for a bridge that is subjected to seismic actions during its life-time neglecting the effect of aging (given the fact that this methodology is used for optimal decision-making and not for assessment purposes). First, a method is proposed in order to calculate the time-dependent risk in terms of the probabilities corresponding to the exceedance of desired (discrete) limit states during the entire lifetime of the bridge (considering the sequence of seismic events that may take place during the bridge life cycle). It implements the methodology presented primary in [6, 8] , and further developed in [9] . Subsequently, to facilitate the estimation of time-dependent limit state exceedance probability, a simple closed-form and analytical approximation is derived. It employs the standard tools in risk assessment such as the fragility curve for the intact structure and takes into account that the bridge is going to be repaired before the next events takes place. These results are directly used within the calculation of the repair cost.
Accordingly, the expected life-cycle cost is calculated by taking into account the initial construction costs, the repair costs taking into account also the loss of revenue due to down time, and finally the maintenance cost. The calculations involved in this methodology are based on a set of assumption described in the following section. The presented probabilitybased methodology for evaluation of the expected life-cycle cost herein can be effectively used for screening among various proposed upgrading strategies while satisfying prescribed reliability constraints.
The Set of Assumptions
The following assumptions are adopted herein: 1. Once a major seismic event (i.e., the one with magnitude greater than a prescribed threshold) hits the bridge, the decision follows the immediate shutdown of the bridge and repairing of the infrastructure. 2. The repair operation is supposed to restore the infrastructure back to its intact initial state. 3. The time of repair, which is also equal to the down-time for the infrastructure, depends only on the state of the damaged bridge. It is likely that major seismic events take place while the bridge is under repair. 4. The bridge is going to be replaced / recycled while the following conditions arise: a) the infrastructure goes beyond the defined ultimate limit states, and b) the cost of repair operations exceeds the replacement costs. 5. The sequence of major seismic events taking place does not include the clustering of seismic events (i.e., aftershocks); previous works by the authors has focused on the clustered events (see [8] [9] [10] ). 6. The effect of aging is not considered.
Calculation of Time-dependent Limit State Probability
Assume that I 1 stands for the information as follows: t denotes the life time of the bridge (generally defined in unit of year); N ce represents the maximum number of critical seismic events that can take place during the time interval [0,t] and have magnitude M within the range M l ≤M≤M u (M l is the lower magnitude and M u defines the upper-bound magnitude). The probability of first-excursion for the desired limit state LS given I 1 , denoted by P(LS|I 1 ) can be expanded by using Total probability Theorem [11] :
where P(LS|n,I 1 ) is the probability of exceeding the limit state LS for the first time given that exactly n=1:N ce events take place and I 1 ; P(n|I 1 ) is the probability that exactly n events with M l ≤M≤M u take place during t. Assuming that the earthquake occurrence in the life-time of the bridge infrastructure is expressed by a stationary Poisson probability mass function, P(n|I 1 ) can be expressed as:
where  is the annual rate of seismicity (i.e., annual rate of occurrence of events with (1) can be calculated by taking into account the set of mutually exclusive and collectively exhaustive (MECE) events that the LS first-excursion is taken place at one and just one of the previous events (see [6] [7] [8] [9] [10] ):
where C k , k=1:n, is defined by the following statement:
first-excursion after th event not exceeded after th event (read as NOT )
The authors have shown that P(LS|n,I 1 ) in Eq. (3) can be written as (see Appendix of [9] ):
where  k denotes the probability of LS first-excursion due to the occurrence of the kth event given that the limit state has not exceeded in the previous (k-1) events and I 1 . For the sake of brevity, the conditioning information that the limit state first-excursion did not take place in the previous events together with I 1 is expressed hereafter as I 2 . The probability term  k in Eq. (5) can further be expanded with respect to the ground motion intensity measure IM, as follows (see also [9] ):
where x specifies IM associated with the kth event;  k (x) is called event-dependent fragility for the kth event given I 2 [9] . The set of event-dependent fragilities {π n (x)|n=1:N ce } is estimated through a non-linear dynamic analysis procedure named Sequential Cloud Analysis which is discussed in Appendix of this paper. The probability p(x|I 2 ) is the likelihood of IM at x corresponding to the kth event (among the information within I 2 , the conditioning that the previous (k-1) events have not led to the exceedance of the limit state LS is ignored as it is already seen in calculating  k ); p(x|I 2 ) can be derived directly from the site-specific seismic hazard in terms of the mean annual rate of exceeding x, i.e.  IM (x), as shown in Eq. (6) where d IM (x)/dx is the slope of the seismic hazard curve. In general,  k is solved using numerical integration by computing the product of the event-dependent fragility and the differential of the seismic hazard curve at discrete values x, adding the results from all x, and then multiplying by 1/ Although P(LS|I 1 ) is estimated within the time-interval [0,t], the first-excursion probability in the time interval [0,t+t] denoted as P(LS|t+t,I 1 ) where t is a time increment, can be expressed as:
where the second term in Eq. (7) denotes the time-dependent limit state first-excursion probability in the time interval [t, t+t] , and equals [8] :
Thus, by setting t=1 year, the limit state first-excursion probability in one-year time interval [t, t+] can be attained.
A Closed-form Approximation to Time-dependent Limit State Probability
The term P(LS|I 1 ) in Eq. (1) is approximated with a closed-form analytic expression based on the methodology preliminary proposed in [10] . Assume that the set of probability terms { k |k=1:n} introduced in Eq. (5) is identical and equal to the time-and event-invariant function . Thus, P(LS|n,I 1 ) in Eq. (5) can be regarded as the sum of a geometric series:
Substituting P(LS|n,I 1 ) from Eq. (9) and P(n|I 1 ) from Eq. (2) into P(LS|I 1 ) in Eq.
(1), we have:
The first term in Eq. (10) equals the sum of the Poisson Probability Mass Function (PMF) terms starting from n=1. Knowing that the sum of the Poisson PMS terms starting from n=0 is equal to unity, the first term in Eq. (10) equals 1-exp(t). Subsequently, Eq. (10) can be further simplified as follows: 
As a result, the closed-form approximation to the time-dependent limit state probability P(LS|I 1 ) in Eq. (11) is derived as:
The closed-form expression in Eq. (12) serves as a simple analytic equation for calculating the time-dependent LS first-excursion probability due a sequence of events. There are different proposals that can be drawn for , which can be defined based on the alternative decisions for the repair of the bridge system, as will be discussed in the next section.
Nevertheless, it is interesting to note that with reference to Eq. (6), k=1 denotes the occurrence of one event, where  1 can be interpreted as the structural fragility for the intact bridge, and the limit state exceedance can be described by a homogenous Poisson process with rate
In case of using  1 , the exceedance probability in Eq. (12) can be further expressed as:
which is respectively the standard and well-known equation of the probability of occurrence of at least one event in a period of time [0,t], considering the fact that the occurrence of events are described by a homogenous Poisson process. In this method, it is assumed that the bridge is going to be repaired immediately after the occurrence of a major seismic event with a repair time,  that is assumed to be equal to zero. Thus, the limit state first-excursion becomes a
Poisson process. As a convention for the rest of current paper, the calculation of timedependent limit-state probability by employing Eq. (14) is addressed as "Standard method", and is denoted as P(LS|=0,I 1 ). In a research study conducted recently by the authors [10] , the closed-form analytical expression was utilized for calculating the post-mainshock limit state probability. It was investigated the even using the fragility of intact structure in Eq. (12) leads to a very good agreement with the computationally extensive and time-consuming exact solution for limit state probability (as described in Section 2.2 by using the sequence of event-dependent fragilities). Therefore, in this study, the fragility of the intact bridge infrastructure, π 1 , is used without emphasizing to provide any further comparison with the exact solution introduced in Section 2.2.
How does the decision for repair affect the probabilistic time-dependent risk formulation?
According to the assumptions previously made in Section 2.1, the objective here is to take into account the repairing decision (addressed in this paper as R decision) with a predefined repair time . Accordingly, the time-dependent limit state probability by this approach is denoted herein as P(LS|,I 1 ). Hence, the limit-state first excursion is not a Poisson process and depends on the history of events taken place. This decision is taken into account while estimating the set of probability terms { n |n=1:N ce }. For the Repair (R) decision, the set of probability terms { n,R |n=1:N ce } should further break down into the sum of two MECE events considering the fact that event n hits the intact (not damaged) bridge (denoted by D 0 ) or the damaged bridge (defined by D), as follows:
As noted previously, I 2 comprises the background information I 1 and the information that the previous (n-1) events have not led to the first-excursion of the limit state LS. Eq. (15) expands as:
where P(C n |D 0 ,I 2 ) is the conditional probability of LS first-excursion due to the occurrence of the nth event given that the bridge is repaired (back to its intact state) right before the last nth event takes place. As a result, this probability term equals Π 1 associated with the intact bridge infrastructure. Accordingly, p(D 0 |I 2 ) is the probability that the bridge is repaired before occurrence of the nth event, which reveals that the inter-arrival time (IAT) between the last subse-quent events, i.e. nth and (n-1)th events, is greater than the repair time  associated with the limit state LS. Thus, p(D 0 |I 2 ) is the probability that IAT> which can be expressed as an Exponential distribution equal to exp(-). Consistently, P(C n |D j ,I 2 ) can be interpreted as the LS first-excursion due to the nth event given that the damaged bridge is already subjected to j=1:n-1 seismic events while it have been under repair (the information extracted from I 2 is that the previous j events have not led to the first-excursion of limit state LS). Hence, this probability term is identical to Π j+1 . In addition, p(D j |I 2 ) is the probability of experiencing exactly j events (before the last nth event take place) while the bridge is being under repair (i.e., for all of the preceding j events, IAT< and the bridge became intact before jth event); hence, there are j independent and exponentially distributed probabilities that the IAT<, each can be expressed as 1-exp(-) in addition to the probability exp(-). As a result, Eq. (16) can be re-written as:
With reference to Eq. (17),  1 is calculated from Eq. (13), while Π j+1 should be estimated from Eq. (6) using the event-dependent fragility  j+1 . However, in case of directly using the closed-form expression proposed in Eq. (12) for time-dependent limit state probability, proper assignment should be given to In this case, one can set Π j+1 = 1 , and directly calculate Π 2,R to be used as . Nevertheless, it would be much more convenient if one uses the so-called damaged bridge (i.e.  2 ) and assign it to all Π j+1 , and then set  2,R in Eq. (12). The timedependent limit-state probability by considering the repair, R, decision is called herein as "R decision".
Expected Life-Cycle Cost
The expected life-cycle cost given the information I 1 can be expressed as [1] :
where C 0 is the initial construction or upgrade installation cost, C R is the repair or replacement costs taking into account also the loss of revenue due to downtime, and C M is the annual maintenance costs. The repair cost C R can be calculated from the following equation: 
where N LS is the number of desired limit states ordered from the service up to the collapse, and ls, 
where C m is the (constant) annual maintenance cost.
NUMERICAL EXAMPLE
The methodology described in Section 2 is applied to screening of alternative retrofit options associated with an existing bridge infrastructure in order to find the most suitable retrofit solution according to life cycle cost and reliability criteria.
Bridge Infrastructure Description
The case-study bridge examined in this study is a RC bridge built in the 1970s and located in the Campania Region, south Italy. It consists of six simply supported decks having independent spans of 41.00 meters, as illustrated in Fig. 1 . It is worth mentioning that the bridge is representative of the Italian bridge inventory considering the fact that approximately 90% of the Italian highway bridges are represented by multi-span simply supported deck bridges (either with independent spans or with continuous cast in situ top slab above the piers) (see [12, 13] ). The simply-supported deck, whose cross section is illustrated in Fig. 3 , consists of eight longitudinal beams with an upper cast-in-place slab of thickness 20 cm. The decks are supported on the cap-beams by means of elastomeric (neoprene) bearing supports. The abutments are seat-type, with neoprene bearing pads. 
Development of Bridge Model
The three-dimensional (3D) model of the bridge was created in the nonlinear finite element analytical program OpenSees [14] , which provides an adequate element and material library for earthquake engineering applications. Illustrative descriptions of the nodal and element designations and boundary conditions corresponding to the spine-line model for the casestudy bridge, with line elements located at the centroids of the cross-sections, are shown in (4) bearing device defined with zero-length (denoted as zeroLength) elements, and (5) the seat-type abutment where the deck beam is seated on the abutment bearing pad defined with zeroLength element. It is noteworthy that the connection of the column bent to the pile cap is considered to be rigid for the case-study herein; hence, no pile-soil-structure interaction is taken into account. In addition, many features in the modeling of abutments and its interaction with the soil are neglected herein for simplicity. Important assumptions and main aspects of the modeling process of each individual component are described in the following subsections. 
Modeling of Deck
Simply-supported Decks are modeled using elastic beam-column elements, since flexural yielding of the deck during seismic response is not expected to take place. Although cracked section properties can obtain realistic values for the infrastructure's period and the seismic demands generated from the analyses, the effective moment of inertia of the deck beams, denoted as I eff is set to that of the gross section (I g ). Needless to say that since all elements are modeled in the centerline of the bridge components (as mentioned earlier), it is required to consider the distance between the centroid of the deck-beam's cross-section (see Fig. 3 ) and the cap-beam's top. Instead of assigning a rigid joint offset to the deck beams, rigid beam elements (red RE elements in Fig. 4 ) are modeled which connect the deck beam to the bearing devices on the top of cap-beams. The material properties of deck members are defined subsequently.
Modeling of Cap-beam
A rigid beam element is used to represent the cap-beam, as shown by horizontal blue RE elements in Fig. 4 . The cap-beam is connected by the elastomeric bearing supports to the superstructure.
Modeling of Piers
The main source of nonlinearity in this bridge model is reflected in its piers, where the evolution of column yielding and damage are expected under strong ground motions. Hence, nonlinear force-based beam-column elements are used to represent the nonlinear behavior of piers in Opensees [14] . It is worth mentioning that in the distributed plasticity integration methods for force-based beam-column formulation (e.g. Gauss-Lobatto integration), it is not possible to represent both the spread of plasticity under hardening and member and section response under softening. Therefore, a new plastic hinge integration method based on modified two-point Gauss-Radau quadrature has been implemented which has the capability to overcome the difficulties that arise with Gauss-Lobatto integration for strain-softening behavior in force-based beam-column finite elements (for more details, see [15] ).
Accordingly, the nonlinearity is assigned to both end of the piers within the plastic-hinge length and the interior portion of the beam-columns remains elastic. The analytical length of the plastic hinge in the piers is taken herein as the median of the equations suggested in [16] , [17] , and [18] respectively:
where L V is the shear span (which is equal to the pier height L in longitudinal direction), h is the depth of the cross section, d bL is the diameter of tension reinforcement, f c is the concrete compressive strength (MPa), and f y is the estimated mean value of steel yield strength (MPa) (see Section 3.2.5 for the material properties). Fiber sections are assigned to the two pier sections (see Fig. 2 ) with two constitutive rules used simultaneously within a cross-section: (1) unconfined concrete, and (2) steel rebar. The concrete and reinforcing steel material properties are defined subsequently. In order to model the portion of the piers that are embedded in the cap-beam, a vertical blue RE elements are defined in the bridge model which connect pier's top to the centroid of the cap-beam (see Fig.  4 ). It should further be noted that the effect of bar-slip is not considered within the nonlinear modeling of bridge piers in this study. Slip of a pier's reinforcing bars in the base will cause rigid-body rotation of the pier, which cannot be accounted for in a flexural fiber analysis, where the column ends are assumed to be fixed.
Modeling of Abutments
A detailed description of abutment modeling with appropriate references can be found in [19] . In addition to the resistance of distributed bearing pads in both horizontal as well as vertical directions, there are important issues that should be considered in a comprehensive modeling of abutment. In the longitudinal direction of the bridge, the longitudinal stiffness of the zero-length element shown in Fig. 4 should also accounts for the gap between the deck and the abutment backwall as well as the active soil pressure behind the abutment backwall. Similarly, the transverse stiffness of the zero-length element should take into account the shear strength of the backfill soil behind the abutment backwall. In the vertical direction, in addition to the neoprene bearing pad stiffness in vertical direction, the abutment embankment stiffness should also be taken into account. All the assigned nonlinear zero-length elements should work only in compression.
Nevertheless, herein, a very simple abutment modelling is used, where the stiffness assigned to zero-length elements in three directions represents the stiffness of the neoprene bearing pads. The zero-length elements can work in tension and compression simultaneously; this assumption can introduce a horizontal instability in the model when all the piers' chord rotations go beyond the rotational capacity associated with the maximum strength of piers.
Material Properties
For the reinforced concrete piers, the Concrete04 UniaxialMaterial of the OpenSees [14] material library is used in the modeling process which has the capability to consider the concrete model proposed by [20] . The following parameters were employed: unconfined concrete compressive strength f c =20 MPa, the strain at maximum concrete stress  c0 =0.002, the ultimate unconfined concrete strain  c0 =0.005, and the concrete modulus of elasticity defined as follows:
where w is the unit weight of concrete. It is noteworthy that no tensile strength is considered for the concrete material. In addition, it is also recommended to assign unconfined and confined concrete material to the concrete cover and core of the pier section, respectively; nevertheless, this study assume an unconfined concrete material, as defined previously, for the whole pier section. For the reinforcing steel material, a uniaxial Giuffre-Menegotto-Pinto steel material object with isotropic strain hardening, called Steel02, is used from OpenSees [14] material library. The advantage of this steel material is mainly the smooth translation of backbone curve from elastic range to plastic range, which leads to fewer convergence problems. For this purpose, the steel modulus of elasticity and the mean value of steel yield strength were set as E s =200000 MPa and f y =310 MPa, respectively. A strain-hardening ratio (ratio between postyield tangent and initial elastic tangent) equal to 0.01 is considered.
Assignment of Masses and Damping
In order to achieve an accurate distribution of mass along the length of the bridge deck, a distributed mass is assigned to the elastic beam-column element of the deck beam which has the capability to construct a consistent mass matrix for these elements. In addition, a distributed mass along the height is also considered for the piers (see Fig. 4 for the assigned distributed masses). The mass of the cap-beam (i.e., those portions that are RE in Fig. 4 ) are concentrated at the mid-node of the cap-beam, as shown in Fig. 4 .
Rayleigh damping is employed with a 5% of critical damping coefficient in the first two modes of vibration (see [19, 21] ). The classical damping matrix is a linear combination of the mass and stiffness matrices with the coefficients  M and  K , respectively [22] :
where  1 and  2 are the frequencies associated with the first and second modes, respectively.
Shear Deformation in Pier Sections
In order to account for the shear deformation in piers due to shear force and torsional bending, section aggregator in OpenSees is used. To aggregate the shear deformation in the fiber section analysis of the piers, three elastic uniaxial materials are defined:
1. Two elastic materials with elastic shear stiffness equal to G C ×A vy and G C ×A vz , which account for the shear deformation in two (local) perpendicular directions of the pier section y and z. G C is the shear modulus of concrete; A vy and A vz are the effective shear area of the box-type piers which are less that the gross area of the pier, A g .
2.
One elastic material that accounts for the torsional deformation in the fiber section of the pier with the elastic torsional stiffness ×G C ×J g where J g is the polar moment of inertia of the cross-section of the pier. The reduction factor of 0.20 is used due to cracking of the pier cross-section [21] . It is to note that the shear deformation is calculated by assigning an elastic material. The use of more sophisticated models that account for nonlinear shear deformation is a plan for near future developments.
Alternative Retrofit Strategies
Five alternative schemes are adopted for rehabilitation of the case-study bridge infrastructure herein. They aim at improving the global behavior of bridge deck by using friction pendulum isolators and/or force the deck to have a uniform displacement along the longitudinal direction (see Table 1 ). More details about different retrofit options can be found in [23, 24] . The first-mode period, T 1 , of the original (as-built) model of the bridge considering also the pdelta effect due to gravity loads is 2.46 sec. The first-more period of alternative retrofit options are outlined in Table 1 .
Retrofit option Description
Implementation in OpenSees (see Fig. 4 
Definition of Limit States
In order to be consistent with recent studies on bridge infrastructures in Italy (see [12, 25] ), two limit states (LS) or performance levels are considered: damage Limit State and collapse Limit State. The time-dependent limit state probabilities are evaluated based on both limit states. Each LS is associated with states of damage as summarized in Table 2 .
According to this Table, Damage LS (denoted as DS) defines the condition of having limited structural damages in which it would be prudent to implement structural repairs. This may require traffic interruptions or the installation of temporary bracing systems. For this LS, the only DS that is considered is the pier yielding associated with ductility equal to one. Two important DSs that are not considered in this study are as follows: the bearings' failure when the displacement exceeds the displacement capacity of the bearing device (it leads to the simple fall of the deck from the bearing seat); attainment of the active resistance of abutments (pulling action).
The Collapse LS takes into account the condition in which the extensive damages to bridge retain no margin against collapse. This implies that significant degradation has occurred in the stiffness and strength of the piers, and/or large displacements take place which might cause unseating of the decks. The infrastructure may be technically repairable, but costs could be very high and the closure of the bridge for long time is inevitable. The DSs considered for this limit state are: (1) pier collapse due to the attainment of its ultimate ductility or shear strength, (2) unseating of the deck due to the full loss of support from the cap-beam. It is to note that attainment of the passive resistance of abutments (pushing action) is also an important DS which is not taken into account in current study. According to Table 2 , the allowable unseating length of the case=study bridge with reference to its original drawings is set to 60 cm. Moreover, Table 2 outlines the two thresholds considered for chord rotation of piers, namely  y and  u . These values are obtained directly from pushover analysis of single piers (i.e., base shear versus chord rotation) after applying the associated axial force due to gravity loads on each pier. Fig. 5 illustrates the actual pushover curves associated with two types of piers (i.e. piers 1-2-5 and piers 3-4, as shown in Fig. 2 ) in longitudinal (global X) direction. The onset of damage and collapse limit states are marked on the pushover curves in terms of the chord rotation. It is noteworthy that  y is marked by visual inspection on the pushover curve trend, while  u threshold is set to 20% drop in ultimate strength of the piers as denoted in [26] .
The shear strength, V R , is calculated by the provisions of [16] (see also [27] ), that is commonly suggested for the assessment of existing buildings under cyclic loads. The shear strength is obtained from the following equation:
where 
where  el =1.15; x is the depth of the neutral axis at yielding; N is the is axial load; A c is the area of the section;  c =1.50 is the partial safety factor of concrete;   pl is the plastic ductility factor which is equal to  y -1;  tot is the total longitudinal reinforcement ratio;  w is the transverse reinforcement ratio;  s =1.15 is the partial safety factor of reinforcing steel; bw is the section width; z is the internal lever arm. In this study, 
Calculation of the structural performance variable Y LS
The structural performance variable Y LS , which is comprehensively defined in the Appendix of this paper as a time and history dependent performance variable, is generally the critical demand to capacity ratio. It is primarily introduced in [28] , and further utilized in [9, 29] . It is recently used as a proper decision variable for assessing the existing bridge infrastructures in Italy [25, 30] . Since there are various SD's for a given limit state, Y LS is capable of finding the critical situation while relating the structural behaviour at the component level to its global performance. For the case-study bridge system, a simple scheme of finding the weakest failure mode leads us directly to the global failure. Accordingly, for each limit state LS, Y LS is obtained as:
where N SD is the states of damage for the considered LS, N ele is the number of components taking part in the ith SD, and Y LS,ji is the value of Y LS for the jth component of ith SD. Accordingly, in case of damage limit state, N SD =1 and j=1:6 (as there exists 6 piers). Consequently, for the collapse limit state, N SD =3 (i.e. i=1:3), where i=1:2, j=1:6 correspond to the pier flexural and shear capacities; nevertheless, i=3 denotes the SD corresponding to unseating of the deck with j=1:12 since the displacements at start and end nodes of the 6 simply-supported deck beams should be simultaneously monitored (see Fig. 1 ).
Selected Suite of Ground-motion Records
For performing the cloud analysis, a set of 25 European (especially Italian) strong ground motion records are selected from the NGA-West2 database [31] , and listed in Table 3 . This suite of selected records covers a wide range of magnitudes from 5.50 up to 7.51, and closest distance to ruptured area (R RUP ) up to 16 km, as illustrated in Fig. 6(a) . This set of ground motions is chosen without emphasizing on detailed record selection which is not a primary focus in this study. The main concern, herein, is to provide a proper cloud response that cover the range of Y LS from lower values to values higher than 1.
The associated spectral shapes are shown in Fig. 6(b) . With reference to Table 3 , nine records out of 25 are identified as pulse-like based on the algorithm proposed in [32] , which can acquire pulses at arbitrary orientations in multi-component ground motions. The outlined pulse periods in Table 3 are obtained from the extracted pulses in the direction of the strongest observed pulse. It is to note that pulses are often found in other orientations due to complex geometry of a real fault; thus, the velocity pulse can be present in orientations other than the computed fault-normal orientation. The spectral accelerations of the nine pulse-like records are shown in Fig. 6(b) with bold lines. In order to draw a point of comparison, the uniform hazard spectra (UHS) for two hazard levels of 10% and 5% exceedance in 50 years are also illustrated on Fig. 6(b) . It reveals the appropriateness of the selected set of records which provides a good variability around the UHS (although selecting spectrum compatible records has not been an objective herein).
Seismicity of the Site
The bridge's site with the coordinate [41.0264N, 14.795E] is located in the Campania region in the boundary of seismic zones 927 and 928, based on the Italian Seismogenic Zonation (ZS9) [33] . Fig. 7(a) shows the seismogenic zonation ZS9 with different zones identified on it; it can be seen that the desired sire is surrounded by the seismic zones 923, 924, 925, 926, 927 and 928, separately indicated in Fig. 7(b) . The key seismicity parameters of each zone are outlined in Table 4 .
Based on the seismicity data of each zone, a simplified site-specific probabilistic seismic hazard analysis (PSHA) is performed on the bridge site using the MATHAZARD [34] . The Sabetta and Pugliese 1996 attenuation relation [35] is chosen because of its wide use in Italy, and consistency with the INGV hazard maps (Istituto Nazionale di Geofisica e Vulcanologia, Progetto INGV-DPC S1, http://esse1.mi.ingv.it).
H. Ebrahimian Table 3 : The suite of strong ground-motion records used in this study H. Ebrahimian, F. Jalayer and G. Manfredi It is apparent that the selection of a suitable IM for representing ground motion uncertainty is a major concern and challenging issue that has to be addressed properly. The stronger is the correlation between the predicted Y LS and the adopted IM, the more accurate will be the result of the limit state probabilities. This issue becomes more sensitive in the presence of various retrofit strategies, which are mainly isolation-type rehabilitation schemes. Nevertheless, this is currently not the major concern herein; thus, we opted to use the more simple and wellknown IMs composed of peak ground acceleration (PGA), peak ground velocity (PGV), and spectral acceleration at the first-mode period of the bridge, Sa(T 1 ). Fig. 8 illustrates the site-specific PSHA in terms of the mean annual rate of exceedance for three aforementioned IMs, which was denoted in Section 2 as  IM . In Fig 8(a, b) , the mean rate of exceedance in terms of PGA and PGV are shown respectively for each of the individu- 
Estimating the time-dependent limit state probability P(LS|I 1 )
This section provides an objective description for calculating the time-dependent limit state probabilities P(LS|=0,I 1 ) (denoted in Section 2.3 as Standard method) and P(LS|,I 1 ) (defined in Section 2.4 as R decision) for the two desired limit states (see Table 2 ). The framework described in Section 2 is applied step-by-step to the case-study bridge infrastructure retrofitted with five different schemes outlined in Table 1 . Nonetheless, it is worth mentioning that this study aims to use the simple analytic closed-form expression derived in Section 2.3 for estimating the limit state probability P(LS|I 1 ). As further explained in Section 2.3, the comparison between the results extracted from the closed-form expression with the exact solution proposed in Section 2.2 in not performed herein.
Step (1): Derive the fragility of the intact infrastructure π 1 based on the Sequential Cloud Analysis methodology described in Appendix. In order to perform this operation, the bridge infrastructure is subjected to the set of ground-motion records outlined in figure) . Moreover, the specific SD that has caused Y DS based on Eq. (30) is assigned by a representative color as shown in the title of each regression plot. The suitability of one IM with respect to another could be evaluated in terms of the average difference in information provided about the predicted Y LS . To accomplish this task, a measure called Relative Sufficiency Measure (RSM) proposed in [37] is used herein. The RSM of IM 1 with respect to IM 2 , denoted as I(Y LS |IM 2 |IM 1 ), quantifies on average how much more information IM 1 relays to Y LS about the ground motion with respect to IM 2 . The RSM herein is calculated in an approximate manner (see [37, 38] and for the corresponding expression). If I(Y LS |IM 2 |IM 1 ), measured in bits of information, is positive, this means that on average IM 2 provides more information about Y LS than IM 1 ; hence, IM 2 is more sufficient than IM 1 . Similarly, if I(Y LS |IM 2 |IM 1 ) is negative, IM 2 is less sufficient than IM 1 . The reference intensity (i.e., IM 1 ) is taken to be Sa(T 1 ), and the RSM is measured for the other two candidate IMs (i.e. PGA and PGV) relative to Sa(T 1 ), as summarized in Table 5 for both limit states, DS, and CS, and different bridge models. Table 5 : RSM for IMs of PGA and PGV relative to Sa(T 1 ) for both limit states DS and CS and different bridge models
With reference to Table 5 , it can be concluded that Sa(T 1 ) is the more efficient compared to PGA and PGV. Nevertheless, PGV is still more informative with respect to PGA for various retrofit alternatives of the case-study bridge.
The fragility curves for both limit states and for different bridge models can directly be calculated from the cloud regression data (as explained in the Appendix). Fig. 10 illustrates the fragility curves of various retrofit options based on desired IMs and for both limit states. Step (2): Estimate  1 from Eq. (13) by convolving the fragility of the intact structure and the hazard  IM , for both limit states and different IM scenarios. Subsequently, { n,R |n=1:N ce } is evaluated directly from Eq. (17) by substituting Π j+1 = 1 as defined in Section 2.4. The repair times, denoted as , associated with alternative limit states are outlined in Table 6 . Step (3): Calculate the limit state probability by two different methodology: (a) Directly substituting the probability Π 1 into Eq. (12) which is addressed as the Standard method for calculating the limit state exceedance probability in a given time interval. It is denoted as P(LS|=0,I 1 ) and expressed by Eq. (14) (see Section 2.3). (b) Calculating Π 2,R from Eq. (17) by substituting n=2, and subsequently set Π=Π 2,R in Eq.
(12) as noted in Section 2.4. The limit state probability is addressed as R decision and denoted as P(LS|,I 1 ). Fig. 10 and Fig. 11 reveal the variation in P(LS|=0,I 1 ) and P(LS|,I 1 ) for both limit states given the desired IMs and given the time interval up to 100 years. It can be seen that by consideration of R decision, the time-dependent limit states will be fairly lower than those estimated by the Standard method. Moreover, the ordering of the limit state probabilities given IMs Sa(T 1 ) and PGV reveal similar trend among both limit states as well as different limit state probability models. It is concluded that the retrofit strategies FP-R25, and FP-R25-ROD have the lowest exceedance probabilities. However, this result cannot be clearly reported from those curves that correspond to the intensity PGA.
Calculating the Expected Life-Cycle Cost
The expected cost in the life-time of the bridge infrastructure is calculated for the five retrofit options described in Table 1 using Eq. (18) . The initial costs C 0 , which are composed of the initial cost of the construction (see [39, 40] ) plus the cost of the desired retrofit upgrading [41] , are tabulated in Table 7 for various retrofit options. The cost of maintenance C M is calculated with reference to Eq. (20) , where the constant annual maintenance cost C m is also tabulated in Table 7 . The repair/replacement cost C R is calculated by using Eq. (19) . Accordingly, LSC ls where ls=1:N LS =2, is the annual expected cost of restoring the infrastructure from the lsth limit state LS ls back to its intact state including eventual loss of revenue due to downtime for repair operations. This expression is calculated herein as follows:
where DTC is the annual cost of downtime outlined in Table 7 , exp(- d ) denotes the change in the monetary-based evaluations within the repair time where  d =0.05; RC ls is the replacement cost associated with desired lsth limit state, ls=1:N LS =2, and tabulated in Table 7 ; they are extracted from updated data calculated in [39, 40] and considered the same through different retrofit strategies. With reference to Eq. (19), the probability P(LS ls |[t,t+],I 1 ) is the limit state timedependent probability in 1-year as a function of time t and for the lsth limit state, LS ls , which is evaluated by using Eq. (8) . However, in case of using the closed-from expression in Eq. (12) for time-dependent limit state probability, the following expression can simply be derived: In order to have a point of comparison, two threshold levels of 10% and 5% exceedance probability in 50 year are assigned to DS and CS, respectively, as shown by cyan bold line in Fig. 12 and Fig. 13 . Thus, the admissible annual exceedance probability P adm will become:
adm,DS adm, DS exp (2.1 10 ) exp 2.1 10
adm,CS adm,CS exp (1 10 ) exp 1 10 It can be seen the by maintaining the R decision, the annual limit states probabilities are to some extend different with respect to the Standard method; moreover, the differences are more apparent compared to those revealed between P(LS|=0,I 1 ) and P(LS|,I 1 ) in Fig. 10 and Fig. 11 . In addition, the outcomes of annual exceedance probability for CS based on PGA as the desired IM imply conservative decisions where the probability is higher than the admissible level even for the bridge with different retrofit strategies. The opposite conclusion will be extracted from those based on PGV as the desired IM where even the original infrastructure lies below the admissible level. However, the annual exccedance probabilities based on Sa(T 1 ) denote that the original infrastructure is above the admissible level while the alternative retrofit strategies put the infrastructure below the admissible level. Since alternative IMs result in different decisions regarding the safety checking which directly affect the life-cycle cost assessment, their selection requires more detailed study.
In terms of life-cycle cost, Fig. 14 demonstrates the resulting expected life-cycle cost for alternative retrofit decisions based on using the Standard method or taking the R decision. It can be observed that:
(a) Based on both methods (i.e. Standard and R decision), the expected life-cycle costs for different retrofit options given the PGV as the desired IM does not reveal any enhancement in using alternative retrofit options. Hence, in terms of life-cycle cost assessment, the use of this IM requires more detailed studies (this conclusion was also drawn in the previous paragraph). However, the expected life-cycle costs given PGA or Sa(T 1 ) reveal that the option FP-R25 (see Table 1 ) offers the lowest life-cycle cost while renders the bridge infrastructure competitively more reliable for the collapse limit state (see Fig. 13 ). (b) Although the FP-R25 options are more expensive in the early stage of life time of the bridge infrastructure, it can be seen that after around 10-20 years (depends on the kind of IM for investigation), its corresponding expected cost fall beneath the other retrofit options. On the other hand, the retrofit option FP-R25-ROD has similar costs; however, it will decisively become the more expensive compared to FP-R25 as the time pass. (c) The distinction between the expected costs of different retrofit options is more apparent while taking into account the repair time  (i.e. using R decision with the limit state exceedance probability P(LS|,I 1 )) compared to the Standard method, which assumes that =0. Furthermore, the selection of IM affects the decisions regarding the life-cycle cost which requires more detailed studies. (d) Taking the advantage that the Standard method is more convenient in its use, and knowing that it informs the same decision regarding life-cycle costs, it can be used in case of rapid screening among various retrofit options in terms of their life-cycle costs.  A procedure is presented for retrofit decision-making based on life cycle criteria subjected to safety constraints. It can be effectively used for screening among various proposed retrofit strategies.
 Based on the assumption that a bridge is immediately subjected to repair operations after a major earthquake event, the finite repair time is considered in the life-cycle cost evaluation. This has been done by implementing a procedure developed by the authors for calculating the limit state exceedance probability taking into account the effect of cumulative damage due to a sequence of back-to-back seismic events. In particular, a simplified closed-form analytical expression for the limit state probabilities based on the fragility of intact infrastructure is employed.
 The time-dependent limit state probabilities are then used to calculate the expected lifecycle cost taking into account the total initial construction costs, down time, repair/replacement costs, and regular maintenance costs.
 This methodology is used as a decision-making tool for retrofit design of an existing RC bridge infrastructure in south Italy. The expected life cycle is calculated for the existing bridge (original model), and 5 different retrofit strategies. It is demonstrated that the Friction Pendulum isolator with effective radius of concave sliding surface equal to 2.5 m and a Coulomb friction of 2% (denoted as FP-R25) is the option that leads to the least expected life cycle cost. Although it is among the most expensive options in terms of installation costs, the corresponding expected cost falls beneath the other retrofit options after a certain amount of time.
 Alternative sufficient intensity measures (IMs) result in different decisions regarding the safety checking which directly affect the life-cycle cost assessment. Thus, their selection requires more detailed study.
The proposed methodology has its limitations:
 The effect of aging is not considered in the calculation of the limit state probabilities and the expected life cycle costs.
 The effect of cumulative damage is approximated by a simplified closed-form equation and based on the fragility of the intact bridge. That is, no back-to-back analyses are performed.
 The 3D model of the bridge infrastructure is subjected to ground-motion records in its longitudinal direction.
 The spatial variability in ground motion is not considered.
 The soil-structure interaction is not considered.
APPENDIX
The general procedure for calculating the set of event-dependent fragilities {π n (x)|n=1:N ce } (entered in Eq. 6) in this study is described as follows (see also [6] [7] [8] [9] ):
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